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DISCUSSION OF GENERAL DESIGN OF THE EAST 
DELAWARE WATER SUPPLY TUNNEL 
PROCEEDINGS-SEPARATE NO, 313 


THOMAS K., A. HENDRICK, M. ASCE.'—It may be of interest to de- 
scribe in more detail the steel interlining required in the last 520 feet 
at the outlet portal of the East Delaware tunnel where the rock cover is 
not sufficient to withstand the outward pressure of 260 pounds per 
square inch including surge and water hammer. 

Near the portal to a depth of 50 feet the rock was somewhat arbi- 
trarily assumed to be of zero value in resisting outward pressure and 
from this point to a depth of 100 feet it was assumed to increase uni- 
formly in resisting value to a maximum of 150 pounds per cubic foot. 
The minimum thickness of the steel plate interlining was fixed as 1/2 
inch, this being considered the minimum desirable on account of consid- 
erations of handling in fabrication, transportation and placing. The 
inner 260 feet of interlining is accordingly 1/2 inch thick, increasing to 
1-1/4 inches where rock is 50 feet deep, From the portal the interlin- 
ing is continued as a conduit of the same thickness to the power house, 
The rock profile and the details of the varying thickness of pipe are 
shown on Fig. 10. 

The interlining was designed and fabricated in accordance with para- 
graph U-68 and the related paragraphs of the A.S.M.E. Unfired Pressure 
Vessels Code (1946). A working stress of 13,500 pounds per square inch 
was used in design based on a factor of safety of four and a joint efficien— 
cy of 90 per cent. All welds were radiographed and the shop joints were 
stress relieved. The conduit and about 50 feet of the interlining were 
hydrostatically tested in the field to 390 pounds per square inch. Except 
for special lengths the interlining and pipe were fabricated in 40 foot 
lengths in the shop. In the field three such lengths of interlining were 
welded together, forming a length of 120 feet, and hauled into the tunnel, 
All shop joints and the girth joints of the conduit were double-butt V 
joints and the girth joints connecting the 120-foot sections were single 
V butt joints with a backing strip. 


1, Senior Civ. Engr. (Water Supply) Board of Water Supply, City of 
New York, N. Y. 
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DISCUSSION OF DESIGN AND RESEARCH 
FOR WELDED STRUCTURES 
PROCEEDINGS-SEPARATE NO. 343 


JACK R. BENJAMIN,! A. M. ASCE.—The basic problem of the struc- 
tural engineer is how to secure necessary structural performance with 
a maximum of ecohomy. The performance of various wel ing details is 
almost unknown, with the result that engineers tend to penalize welding. 
A common approach is to figure the amount of weld necessary and then 
double it in the design. This is not good design but it does reflect the 
state of mind of many engineers with respect to welding. Research and 
publications of this type are a great assistance in overcoming this 
problem. 

Most of the work on brittle fracture is based on a temperature- 
metallurgical approach. Is there any basis for ruling out stress and 
detailing? In particular, will joints where distortions are restricted by 
the use of large amounts of light welding tend to show brittle fracture? 

The structural engineer has a great deal of freedom in the design of 
welded joints. Are some details better than others? The designer must 
feel that he can control the joint behavior by his design details. Ifa 
shear connection is desired between a beam and column, what type of 
detail will act as a hinge as far as moment resistance is concerned? 
Web plates plus light seats tend to provide moment resistance. If this 
moment is not considered in the design, the joint can be overstressed. 

If detailing will not allow local yielding without damage, the entire joint 
integrity is endangered. If the moment is included in the design, the 
connection grows until it becomes a very costly assembly. We need to 
know what types of joints can safely yield under low moments. Full con- 
tinuity is not always the solution. * 

The current research trend toward ultimate design must satisfy one 
basic problem of the designer before it will be accepted. Under current 
specifications he is relatively confident of his designs. Their perform- 
ance is known. Not only must plastic design prove more economical, it 
must be predictable. The engineer must be able to control the behavior 
of his structure. Full continuity with expensive joint details unfortunate- 
ly involves the problem of mode of failure. Not only are these failure 
modes complex but such things as torsional failure of the structure as 
a whole must be considered. 

One possible solution of this problem is to settle for something less 
than full plastic strength by building in points of known predictable plas- 
tic moment. In this manner the mode of failure could be controlled. The 
acceptance of plastic design procedures by the practicing engineer will 
be influenced more by guaranteed performance than by the saving of a 
few pounds of steel. 


1. Associate Prof. of Structural Eng., Stanford Univ., Stanford, Calif. 
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The rigid frame knee tests point up this problem. The use of very 
heavy knees to force plastic hinge development in the adjacent members 
makes the plastic design all the more complex. Perhaps a knee detail 
should be developed with predictable characteristics. The amount of 
welding could probably be reduced at the same time. A suggested joint 
for such a study is shown in Fig. 1. The joint is to fail by buckling of 
the diagonal strut. A joint of this type should show good plastic charac- 
teristics, be capable of shakedown without damage, and be economical 
as well. 


Open 


Fig. 1 


GEORGE W. LAMB, M. ASCE.—The fact that many of the questions 
previously encountered in the design of welded structures have been 
answered by research and experience, is brought out in the Author’s 
paper “Design and Research for Welded Structures”. Research has 
been by far the most economical process for answering many of these 
questions. Observation of, and experience with actual structures like- 
wise provides answers, and can also be considered as research. The 
main features that distinguish the latter are the cost, the size of the 
specimen, the non-accelerated rate of the test, and the integration into 
the results of many conditions that cannot be accurately reproduced by 
laboratory tests. 

Research, as reflected by laboratory tests, produces a series of facts 
which justify certain limited conclusions. However, such facts will not 
support full conclusions nor give all the answers. In citing the partial 
failure of the Three Rivers Bridges in 1950, and the collapse of four 


2. Dist. Engr., Am. Inst. of Steel Constr., Inc., Topeka, Kans. 
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of the eight spans in the West Bridge in 1951 (under the heading, “Cana- 
dian Welded Bridge Difficulties”), the author calls to our attention the 
value of correlating laboratory research with field observations and 
experience, in order to obtain logical answers to some of the questions 
that have been raised by designers. Inasmuch as the writer advanced 
the hypothesis of an expansive concrete floor having been the cause of, 
or a major contributing factor to, these failures, the balance of this dis- 
cussion will supplement the author’s paper in regard to these failures 
and will explain further their probable cause. The discussion will also 
indicate that when totally different materials are combined, with or 
without intent, in such a way as to require close functioning in a struc- 
ture, anc then things go wrong, the results of coordinated research for 
the different materials are required, to fully explain the difficulty. 

The Three Rivers Crossing consisted of two bridges, one each over 
the East and West Channels of the St. Maurice River. Both bridges 
were all-welded, continuous, haunched, deck-girder structures. Both 
bridges had two main girders spaced 32 ft. apart, which supported a 
42 ft. concrete roadway and two 5 ft. sidewalks. Floor beams and brack- 
ets spaced at 10 ft. centers supported the roadway and sidewalks 
between, and outside, the girders (Author’s Fig. 16). Both bridges were 
constructed in 1947. These structures were conservatively designed 
and well constructed. The details of the design were conventional, and 
had been used many times. 

The East Bridge is a five span structure, made up of two 108 ft. end 
spans, and three 140 ft. intermediate spans. The girders are 10 ft. deep 
at the piers and 6-1/2 ft. deep at mid-section. The West Bridge, which 
collapsed in 1951 was an eight-span structure. The end spans were 
148 ft. and the six intermediate spans were 180 ft. Thegirders were 12 
ft. deep at the piers and 8 ft. deep at midspan. 

The fractures that occurred in one of the girders of each of these 
bridges in 1950, were located in each case on the river side of the first 
pier, and approximately the depth of the girder from the piers. These 
fractures extended through the upper or, in the case in question, tension 
part of the web and flange. (Sk. 1, Line “A” and Line “B”) The spans 
did not collapse as a result of these 1950 fractures, and they were re- 
paired, by replacing the welded tension splices with 100% riveted joints. 

The initial point of rupture in the 1951 collapse of the West Bridge 
could not be exactly located, but photographs of the collapsed structure 
show a point of large structural damage on the river side of the first 
pier at the opposite end of the bridge from the 1950 fracture. (Sk. 1, 
Line “C”). 

Some data relative to the properties of the steel near the 1950 frac- 
tures of these bridges was published under the author’s reference No. 17. 
The mechanical properties of the steel used indicated that it was more 
than adequate for the design loads. Adjacent to the 1950 fractures, the 
elastic limit of the steel ranged from 28,000 psi,to 58,000 psi, and in 
the core of some of the plates carbon approached 0.40% and sulphur 
0.116%. Mill tests indicated that all of the steel conformed to ASTM A-7, 
and in all but two of ninety cases additional check analysis confirmed 
this. 
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No data has been published relative to the expansive characteristics 
of the concrete in the floor of these bridges. By customary standards, 
the concrete was of good quality and adequate for the purpose; it had 
ultimate compressive strength at an age of four years of from 3,500 psi 
to 5,900 psi. 

Concrete having the characteristic of expanding under wetting and 
drying, and/or expanding under freezing, is not uncommon. The map on 
pg. 417 of ASCE Transactions, 1950, shows locations where expansive 
concrete is common and has been definitely found and recognized. Some 
of these locations are the river basins of the Columbia, Colorado, 
Kansas, Platte and Gila Rivers, and in almost all of Southern California, 
Alabama, Georgia, West Virginia and New Jersey. This type concrete 
has also been found in Montreal, Canada, and in Nova Scotia, and has 
been recognized there. It has been identified in several of the bridge 
floors in Kansas, such as the St. Francis and Sitka Bridges. It is be- 
lieved to be present in the Jacques Cartier Bridge at Montreal, Canada, 
which is located about 90 miles from the Three Rivers Bridges under 
discussion. 

Some specifications are now written to prohibit the use of concrete 
having wetting and drying expansion (as determined by a one year test) 
of more than 1 inch per 100 ft., or 0.00083 units per unit. Even this 
amount of concrete expansion will place some structures in difficulties, 
if combined with other strains and a contributing geometry of section. 

The concrete floor of the St. Francis and Sitka Bridges in Kansas, 
expanded under wetting and drying, 2 inches per 100 ft., or .00167 units 
per unit. In the St. Francis Bridge the forces resisting this expansion 
were estimated at about 1,000,000 lbs., which would cause compressive 
stresses in the concrete floor slab of 450 psi. This resisting force did 
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not prevent expansion of the concrete floor. As a result, differential 
movement between the floor and the steel girders took place when the 
end expansion joint devices failed by tearing free from the girders. 

The writer has reason to believe that the floor of both Bridges of the 
Three Rivers Crossing were made of concrete having a net wetting and 
drying expansion of more than 0.00073 units per unit, with perhaps as 
much as occurred in the St. Francis Bridge. There is also reason to 
believe that, in addition, this concrete had the characteristic of expand- 
ing under freezing and thawing cycles. Net wetting and drying expan- 
sion of 0.00073 units per unit would tend to stretch the 1376-foot girders 
in the West Bridge of the Three Rivers Crossing about 12 inches. This 
elongation would produce a total tension in one girder of approximately 
1500 tons, with a corresponding compression stress in the concrete floor 
slab of about 1200 psi or less. 


Basic Information 


Cross-sectional area of concrete roadway and sidewalk 5000 sq. in. 
One half area of concrete roadway and sidewalk 2500 sq. in. 
Maximum cross-sectional area of one steel girder 180 sq. in. 
Minimum cross-sectional area of one steel girder 112 sq. in. 
Tensile force to elongate one 1376' girder 12" 3,000,000 lbs. 
Minimum tensile stress in steel at 12* elongation 16,600 psi. 
Maximum tensile stress in steel at 12" elongation 26,800 psi. 
Dead Load stress at upper edge of web at first pier 14,600 psi. 
Compressive stress in 2500 sq. in. of concrete floor 

with 3,000,000 lbs. compression force 1,200 psi. 
Measured restrained expansion in St. Francis bridge floor .00167 U/U 
Shortening of St. Francis concrete with 450 psi 

compressive stress, (includes stress creep) 

450/1,500,000 E. -00030 U/U 
Unrestrained expansion (wetting and drying) of the. 

concrete in the St. Francis Bridge .00167 plus .00030 .00197 U/U 
Shortening (includes stress creep) of St. Francis con- 

crete under 1200 psi compressive stress 

1200/1,500,000 .00080 U/U 
Net wetting and drying expansion of Three Rivers 

Bridge floor if made of St. Francis concrete .00117 U/U 
Potential expansion under 15 cycles of freezing and 

thawing for this type concrete .00200 U/U 
Elongation of 1376 Three Rivers girder under wetting 

and drying with St. Francis concrete .00117 x 1376‘ 1.61 ft. 
Elongation of 1376’ Three Rivers girder under freezing a 

and thawing (extimated) 2.76 ft. 
Estimated expansion to rupture girders 1.00 ft. 


Note: U/U is abbreviation for, Units per Unit 
The girder in question had a variable cross-sectional area; therefore, 


if the tensile force, due to expansion were considered as applied on the 
neutral axis of the girder instead of the upper flange the resulting 
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tensile stress in the steel would vary, from 16,600 psi tension at the in- 
terior supports, to 26,800 psi near the inflection points. It should be 
noted too that the unit stresses due to dead load in these girders were 
slightly higher over the first piers than at the other piers, and were con- 
siderably higher than in the interior portions of the span. 


A tensile force would be produced in the girders, when adequately 
connected expansion joint devices at each end of the bridge, together 
with friction, floor beam embedment, and anti-creep bars, tried to re- 
strict the elongation of the expansive concrete floor. This tensile force 
would create tension and shear stresses in the girder, in addition to the 
stresses produced by the dead load. The tensile force, due to expansion, 
would tend to distribute in varying proportions across the full cross sec- 
tion of the girders, resulting in horizontal and vertical shear in the web, 
which when combined with the direct tension produces diagonal tension 
in the web. The direction of this diagonal tension in the web is down- 
ward and toward the center of the entire structure. Dead Load tension 
due to bending in the upper part of this girder, combined with vertical 
shear, produces diagonal tension in the web of the girder. The direction 
of this diagonal tension is downward and toward the center of the entire 
structure on the river side of all piers, and is downward and toward the 
bank on the bank side of all piers. On the bank side of all piers such 
tensile stresses would not be in the same general direction, and would 
tend to nullify each other. But, the stresses on the river side of the 
piers would be in the same general direction; their components would be 
additive, and the maximum stress would therefore occur here. 

If the stresses produced by an expansive floor - which would be 
variable in intensity by reason of the variable girder section and would 
tend to build up from a low at the center of the bridge to a maximum 
towards the shores - are added to the variable dead load bending 
stresses, it is found that the total unit stress near the cross-section, 
where fracture occurred, would be highest of all. As the force, caused 
by restricting the elongation of the expansive floor, slowly increased, 
this critical point in the cross-section of the girder would reach the 
elastic limit before the remainder of the girder did. Then, any addition- 
al elongation would concentrate at this point, and in time cause rupture. 

The web of this girder was restricted from “necking-down” under 
tension by the stiffeners and the fléor beam connections located at alter- 
nate 5 foot centers. It was therefore subjected to bi-axial stress which 
prevented the ductility of the metal from being effective. The web under 
this condition could be expected to break in a brittle manner. It could 
also be expected to break before the unrestricted and uniaxially stressed 
flange did. 

The 1950 fractures indicated that the initial fracture did start at the 
top of the web, and then propagated downward through the web and up- 
ward through the flange. The flange had a brittle type fracture, most 
likely due to absorbing a shock load caused by the sudden release of the 
web stress at failure, probably at a time when the temperature was low. 

In the 1951 collapse of the four spans of the West Bridge, the initial 
rupture would have been expected to occur at a point of maximum stress 
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and extensive structural damage, which, from photographs of the col- 
lapsed structure was on the river side of the first pier. y 

The fracture probably extended from the top to the bottom of the gird- 
er, running almost vertically and missing the stiffeners and floor beam 
connections which had prevented collapse in 1950. (Sk. 1, Line “C”) As 
a result, the hanger effect that saved the span from falling in 1950 did 
not come into play. The transfer of dead load to the already highly 
stressed adjacent girder broke it also. As the long end of these girders 
deflected from under the roadway slab, the unsupported slab, heavily re- 
inforced parallel to the center line and capable of taking considerable 
tension, sagged and buckled downward into a catenary. The tension 
forces set up by this catenary action pulled the first pier over toward 
the river and pulled the end of the girders approximately 70 feet off of 
the abutment toward the river (Sk. 2). 


WEST 


SKETCH 2 


The collapse of these two spans caused the collapse of the adjacent 
span because its end moment was removed. In turn, the fourth span fell 
for the same reason. The progression of this failure was probably halt- 
ed at the center of the bridge, which was also the center of expansion of 
the floor slab, because the failure force had dissipated at this point, and 
because the disrupting force on the remaining four spans of the bridge 
had been partially relieved the year before by the first fracture. 

The true cause of a structural failure of this kind can never be defi- 
nitely proven; it has to be arrived at from a logical deduction. The basic 
cause of this failure may be explained as shown above. It is presented 
as the most obvious explanation, and incidentally it is the one that is 
easiest to overlook. It could not have been predicted without use of the 
coordinated results of research and observations on both materials used 
in the bridge. 

This failure, as is usually the case, opens up completely new fields 
for research, especially research in the fields where two materials of 
completely different characteristics are combined and required to work 
together. It also points out one of the faults of research; in that the 
facts of research data can support only limited conclusions; secondary 
conclusions, extended beyond the range of the known facts, are not 
justified. 

The design and construction of this bridge was conservative and 
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conventional. The failure of a supposedly adequate structure of this 
kind, without doubt, discourages.the use of welding and the use of con- 
tinuous steel structures, until the failure has been explained adequately. 
It tends to increase the cost of all steel bridge construction to the ex- 
tent that it creates a demand for a higher quality and higher priced steel, 
and additional costly requirements in fabrication procedure. 

Certainly it would not be practicable or economical to attempt to fur- 
nish a steel of such ductility that it could accomodate the kind of pro- 
gressive growth that is characteristic of expansive concrete. The use 
of such an improved and more costly steel would not, in the opinion of 
the writer, have prevented this failure, nor would it protect against oth- 
ers of the same type, resulting from stresses induced by the growth of 
expansive concrete. 


F. J. TAMANINI,! A. M. ASCE.—An excellent report on welded struc- 
tures,—the author has made a noteworthy contribution. Although prima- 
rily concerned with welded steel structures, welding developments and 
uses of aluminum welding were given brief mention by the author. 
1953-54 information releases from the Department of Defense now per- 
mit disclosure of a most successful application of welded aluminum in 
bridge structures. 

The successful employment of military bridges of welded aluminum 
Cesign is a matter of record in the historical accounts of major river 
crossings in Korea (1950-54). Since 1943, the Engineer Research and 
Development Laboratories, with the cooperation of fabrication shops and 
aluminum producers, have successfully incorporated welding in alumi- 
num bridge structures to satisfy stringent military requirements. The 
most famous of the prefabricated bridges of welded aluminum design 


are the M4 and the M4A2 Floating Bridges. During the design and devel- 


opment of these bridges in 1943-45, aluminum alloys 61S-T, 17S-T, 
24S-T, 77S-T and eventually 14S-T6 were utilized in full size welded 
stringer beams which, in military parlance, are called balk. Although 
carbon-arc and metallic-arc welding were employed in these early days 
of balk fabrication, no weld failures, as primary deficiencies, were noted 
in testing to ultimate failure full-size balk fabricated of above-listed 
aluminum alloys. The original failure (1943-45) were primarily con- 
cerned with attachment details and compressive buckling, which were 
remedied by subsequent redesign. 

Under the heading, “Processes Used for Structural Welding,” the au- 
thor’s brief comments on the welding of aluminum may be augmented by 
the following specific examples, describing fabrication and testing of 
aluminum balk. 

Aluminum alloy 14S-T6 and inert gas shielded metal arc welding are 
now (1954) specified for fabrication of the balk. Both Helium and Argon 
as the shielding gases together with tungsten electrodes have been suc- 
cessfully used by various manufacturers, many of whom have designed 
their own automatic welding fixtures by ingeniously combining commer- 
cially available welding equipment with on-the-job-made fixtures. 


1. Chf., Structural Design Branch, Engr. Research and Development 
Laboratories, Fort Belvoir, Va. 
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The Balk is basically a 9 x 9-inch watertight, square box about fif- 
teen feet long to which are attached connection lugs for adapting it for 
use as the articulated-continuous roadway of a floating or simple span 
bridge. It is made up of two extruded special channels butt- welded to- 
gether on the neutral surface, with end plates welded to the ends to com- 
plete the watertight box. Figure 1 shows a balk. 

During fabrication in 1952-53 of some 20,000 balk, sample balk taken 
at frequent intervals, were tested to ultimate failure as a beam and the 
deflection at a 30,000 pound load and the ultimate load and the maximum 
measured deflection occurring immediately prior to failure were record- 
ed. The balk were procured by the Corps of Engineers, U. S. Army and 
the U. S. Marine Corps. The Thorn-design production-line welding ap- 
paratus utilized one of the many automatic welding devices on the mar- 
ket today. Basically, it was an automatic, helium gas shielded, con- 
sumable wire electrode type welding arrangement. Welding speeds as 
high as 120 inches per minute were obtained; however, in order to re- 
duce porosity and achieve maximum tensile strength of welds, a speed 
of 90 inches per minute was adhered to. Except for removing grease 
and dirt from the welding surfaces, no cleaning was necessary. 

Forty-four sample balk were tested to failure in a manner described 
and depicted in Figure 2. As a result of optimum aluminum welding and 
section design, excellent welding equipment, and choice of efficient weld- 
ing procedures, high and remarkably consistent structural properties 
for the balk were evidenced. Under the application of the specified 
30,000 pound load, the measured deflections were observed to fall within 
a very narrow range, namely 2.25 inches to 2.50 inches, the numerical 
average for all forty-four beams was 2.33 inches. It is interesting to 
note that using the balk properties shown in Figure 1 and taking E, the 
Modulus of Elasticity, as 10.6 x 106 Ib/in?, the computed deflection is 
2.30 inches. The stipulated 30,000 pound test load corresponds to the 
imposed field loading. It is under this condition that the military allowa- 
ble working stress of 40,000 pound per square inch in bending occurs. 
(The factor of safety for designing military bridges in steel or aluminum 
is 1.25 based on the yield strength). 

With a few exceptions, the ultimate load for all forty-four balk pro- 
duced identical structural ruptures, i.e., weld zone fracture followed by 
a combined maximum tension and vertical shear failure of the lower balk 
channel extrusion. The average ultimate load was 53,200 pounds and the 
average of the maximum measured deflections was 4.49 inches. Bar 
graph in Figure 3 presents the ultimate load test data. 

Because of its size and insufficient extrusion facilities for making 
the hollow box extrusion in one piece, welding appeared to be the only ac- 
ceptable means for obtaining the desired section. Tests and field employ- 
ment, even under the high stress conditions for military loads have cer- 
tainly justified its acceptance. During the development of military 
bridges utilizing aluminum welding from 1943 to 1954, experience and 
tests have shown that not only can welding be used successfully for joint- 
ing sections on the neutral surface but also for obtaining water-tightness, 
and for use in other areas where the low ductility of aluminum welds is 
not considered a deficiency or detrimental to the end product. 
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NORMAN B. JONES,! J. M. ASCE.—A valuable summary of the re- 
cent phases of research on welded structures has been presented inthis 
paper. The writer believes, however, that several comments are most 
pertinent regarding the type of portal frame beam-to-column connection 
exemplified by the author’s Fig. 13. These comments are based prima- 
rily on the article from which the author’s Fig. 10 was reproduced.? 

The author’s type P connection (Fig. 13) consisted of a 14 WF 30 
beam and an 8WF31 column. At a moment value equivalent to 20 ksi on 
the 8WF31 the joint stiffness compares as well with the 8WF31 observed 
rolled section as the author’s type A joint (Figs. 10 and 11) compares 
with its 8B13 observed rolled section at a moment equivalent to 20 ksi. 
Slightly below a moment equivalent to 22 ksi on the 8WF31 the type P 
joint started a plastic rotation due to web yielding. The type A connec- 
tion continued to function with an almost constant relative stiffness until 
a moment of about 400 in-kip was reached. 

Since the above observations indicate that the type P connection per- 
formed satisfactorily at a moment equivalent to 20 ksi on the 8WF31, it 
is interesting to compute the approximate web unit shear: 


550 in-kip 
7.57 in 


72.7 
Y= 7396 C27) 19.4 ksi, approx. 


This approximate value indicates that web yield is probably very near 
according to the various theories of shear failure. For instance, the 
maximum strain energy theory states’: 

shear yield = 0.62 (tensile yield) 

shear yield = (0.62) 33 (A7 steel min. yield point) 

shear yield = 20.5 ksi 

The author states on p. 343-17 that “Connection “P” (Fig. 13), without 
a diagonal stiffener, deformed due to excessive web shear, at half the 
moment value for the lighter of the two members joi:..4.” The writer 
wishes to emphasize that the “moment value” referred to is the “full 
plastic moment” which has a value of about 1190 in-kip for an 8WF31. 
This moment capacity is that required to be developed when the very 
desirable benefits of plastic design are to be utilized. When convention- 
al designs are made by elastic analysis and design methods, it is not 
necessary to rely on such moment-carrying capacity of connections be- 
yond the elastic limit. 

In summary, the writer believes that the type P connection is usually 
adequate to develop moments permitted by the ordinary working stresses 
and elastic analysis, but that it is definitely lacking in any very meas- 
urable “factor of safety”. For a greater connection moment capacity ~ 


Say shear force = = 72.7 kips 


1. Structural Engr., Whittier, California. 

2. “Connections for Welded Continuous Portal Frames” (Progress Re- 
port 4 - Part I) by A. A. Topractsoglou, L. S. Beedle, and B. G. John- 
ston, Welding Journal, July, 1951. Pg. 359-s - 384-s. 

. “Strength of Materials - Part II”, by S. Timoshenko, 2nd Ed., D. Van 
Nostrand Co., Inc., New York, N. Y., 1941, p. 477. 
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(and therefore a more uniform factor of safety throughout the structure) 
the joint web should be reinforced to keep the unit shear stresses below 


about 13 ksi. 
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LaMOTTE GROVER,’ M. ASCE.—Prof. Jack R. Benjamin has called 
attention to the practice of penalizing welded construction because of a 
lack of sufficient knowledge among engineers about the behavior of vari- 
ous welded details. This condition has improved recently but much edu- 
cational work remains to be done in this field. To a large extent it is a 
matter of disseminating information, although, as in other fields, there 
is a continual need for further study and research. 

In many respects we now have available much more information from 
research about welded details than for other types of construction. Fur- 
ther, those of us who have watched welding “grow up” must not forget 
that it has become of age now, with quite a long background of satisfac- 
tory experience in America. 

It was mainly the first research studies of “flexible” and semi-rigid 
welded beam-end connections, started in the late 1920’s, that prompted 
subsequent research to determine the actual behavior of riveted and 
bolted connections. Many such connections had been in use for years 
with little thought being given to how they actually behave and what end 
moments might be transferred to columns by relatively rigid wind brac- 
ing connections of beams and quite rigid connections of relatively deep 
building trusses. 

It is true that a large part of the study of brittle fracture phenomena 
has been in the field of metallurgy and the fundamental behavior of vari - 
ous materials under various conditions of, temperature, state of stress 
and strain rate. This has been necessary for a complete understanding 
of the fundamental problem. However details of design and the effect of 
fabricating procedures have also been studied by large scale tests of 
welded structural members, hatch-corner details of ships, end connec- 
tions of longitudinals in tanker ships, reinforcements around openings, 
and other practical details of design. A committee of the Welding 
Research Council is now (1954) preparing a manual to provide interpre- 
tations of much of this research for use in practical designing and 
detailing. 

With regard to design stresses, the trend in Europe as well as in 
America, is to lay more emphasis upon deformations than upon stresses, 
or at least to make the designer equally conscious of deformations. 

The work of the Structural Steel Committee of the Welding Research 
Council is being continued to provide more thorough answers to some of 
the questions that Prof. Benjamin has posed in his interesting discussion. 

Mr. George Lamb has made a noteworthy contribution to the explana- 
tion of the failure of the Three Rivers Bridge in Canada. He has pre- 
sented data on the expansive properties of concrete similar to that used 
in the floor of the bridge, when made with certain types of aggregates. 

By using quite straight-forward, rational and simple calculations, he 
has demonstrated a strong probability that the growth of this rather un- 
usual concrete created sufficiently high stresses to rupture the steel ma- 
terial, despite good control over fabrication operations and design pro- 
visions that would normally be adequate for this kind of a welded 
structure. 


1. Welding Engr., Air Reduction Co., New York, N. Y. 
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He could have made an even stronger case for this probability if he 
had not neglected (in the interests of being conservative in his estimate) 
the eccentricity of the expansive force applied to the girders. Also, un- 
der the conditions of a very rapid drop in atmospheric temperature, a 
considerable difference of temperature between the floor slab and the 
web of the girder could have contributed to the tensile stress in the 
steel. 

With regard to the brittle appearance of the fractures, it is well 
known that when a structural steel material fractures at a relatively 
low temperature, regardless of the cause, the fracture will be of the 
characteristic crystalline appearance that was observed. Although very 
high strain rates do contribute to brittle fracture, the rates of strain 
associated with impact loads from traffic on a bridge are not believed 
to be high enough to exercise much influence (apart from the dynamic 
increment of the load). 

As Mr. Lamb has mentioned, advantage can often be taken of engi- 
neering failures to accumulate research data. This is possible only 
when adequate construction records are available and when conditions 
attending failure can be determined with reasonable accuracy. Appar- 
ently this information was available for the Three Rivers Bridge. A 
very careful examination of the wreckage, supplemented by engineering 
data and considerations has made it possible to establish the behavior 
and sequence of events as the bridge collapsed. Accordingly the condi- 
tions of a controlled test were quite well realized, conditions that re- 
present actual service behavior, which would have been prohibitive in 


cost to reproduce in a research project, if not impossible of achievement. 


In the same general manner, tests of full scale structural members 
made under carefully controlled conditions, in the work of the Structural 
Steel Committee of the Welding Research Council, have yielded very 
valuable information to supplement fundamental information derived 
from tests of smaller and more simple specimens. The results of these 
full scale tests have lined up in an orderly fashion, despite the complexi- 
ty of such specimens as compared with specimens employed to develop 
fundamental information. 

The facts presented by Mr. Lamb do not necessarily invalidate the 
opinions expressed by demolition experts who examined the steel failure 
and testified that the collapse appeared to have been caused by explosion, 
suggesting sabotage. The steel could have been in a rather high state of 
tension due to the “internal loading” resulting from the growth of the 
concrete. Even though some slipping had occurred between the floor 
slab and the steel, the tension stress could have remained relatively 
high, so that an explosion would have “triggered” the collapse. 

A very important distinction should be made between the nature of 
the “internal loading” caused by the growth of a concrete floor slab, and 
the localized internal residual stresses resulting from welding. The 
former would act in the same manner as an external load, and in fact it 
is external with reference to the steel. Therefore, this loading would 
maintain a field of high elastic stress with sufficient energy to start a 
fracture and propagate it. On the other hand, residual stresses caused 
by welding are localized. They are self-limiting and disappear under 
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very small local yielding. Therefore, they cannot maintain a field of 
high elastic stress and energy. 

The discussion by Mr. Tamanini of the Engineer Research and De- 
velopment Laboratories, Fort Belvoir, affords an interesting example 
of a most successful application of the inert gas shielded metal arc 
welding process in aluminum structural work. The unfavorable influ- 
ence of the heat of welding upon the strength of the solution heat treated 
and artificially aged structural alloys of aluminum was mentioned by 
the author in the original paper. Despite this handicap, it is often pos- 
sible for a designer to locate welded joints in aluminum in such a man- 
ner that the reduced strength of the heat affected zone will not influence 
the over-all strength of a member. In the case of the “balk” or stringer 
beams for the military bridges, as described by Mr. Tamanini, even 
though the longitudinal welds were located in a plane of maximum shear, 
the test beams developed virtually the full strength of the base metal in 
bending, and measured deflections conformed closely to those calculated. 
Accordingly the beams could be used at the full allowable working 
stresses that had been adopted for the base metal. 

For the benefit of readers who have been accustomed to think only of 
conventional elastic analysis and allowable working stresses, 

Mr. Norman B. Jones has done well to emphasize that the “moment val- 
ue” for the 8WF31 section, to which reference was made on Page 343-17 
(of separate), is the maximum moment or “full plastic moment” devel- 
oped by the testing of this rolled beam section. 

As Mr. Jones has inferred, the Type P connection would fulfill con- 
ventional design requirements based upon elastic analysis and custom- 
ary working stresses. If it were to be evaluated solely upon this basis, 
under quite common competitive conditions that would not recognize its 
shortcomings with respect to reserve strength or overall factor of safe- 
ty for the entire structure, then this detail would win out over a some- 
what more expensive detail of much superior behavior beyond conven- 
tional working stresses. 

However, there might well be a legitimate use for a detail with some- 
what less reserve strength, such as the Type A knee of lowest fabrica- 
tion cost, in certain types of construction; for example, a temporary 
structure with definitely controlled loading, which could not be expected 
to be subjected to such hazards as bombing, earthquakes, tornadoes or 
other serious overloading. 
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CORRECTIONS TO ASEISMIC DESIGN OF ELASTIC 
STRUCTURES FOUNDED ON FIRM GROUND 
PROCEEDINGS-SEPARATE NO. 349 


On page 3, in the line preceding Eq. 3, a comma should be substitut- 
ed for the period between numbers 1 and 2. 


On page 3, in the line following Eq. 3a, a comma should be inserted 
before x. 


In the last line of page 3, the term @(t - t) should be changed to 
-7). 

On page 6, in the last line following Eq. 5b, a minus sign should fol- 
low the word “since”. 


On page 12, in the fourth line from the bottom, the comma should be 
deleted from between the words “Housner” and “from”. 


On page 16, line 5, “awkwardness” should be substituted for 
“awkardness”. 


On page 16, line 20, a comma should follow the word “temblor”. 
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CORRECTIONS TO FIELD DATA FOR THE STRUCTURAL 
DESIGN OF COAL BUNKERS 
PROCEEDINGS-SEPARATE NO. 430 


Under the heading “Test No. 3” the reference to Bunker No. 3 on 
page 430-3 should be changed to Bunker No. 4. 


The footnote to Table 1 on page 430-4 should be changed from 
*Measured stress = E:C = 30,000,000 (measured strain) to *Measured 
stress = Eé = 30,000,000 (measured strain). 


Under the heading “Compressive Strains in Column No. 3” the two 
sentences on page 430-5 that read, “This might be attributed to misa- 
lignment of the column. Imperfections in the column, initial stresses, 
or a combination of these.” should be changed to one sentence reading 
“This might be attributed to misalignment of the column, imperfections 
in the column, initial stresses, or a combination of these.” 
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PROCEEDINGS-SEPARATES 


The technical papers published in the past year are presented below. Technical-division sponsorship is indicated by an 
abbreviation at the end of each Separate Number, the symbols referring to: Air Transport (AT), City Planning (CP), Con- 
struction (CO), Engineering Mechanics (EM), Highway (HW), Hydraulics (HY), Irrigation and Drainage (IR), Power (PO), 
Sanitary Engineering (SA), Soil Mechanics and Foundations (SM), Structural (ST), Surveying and Mapping (SU), and Water- 
ways (WW) divisions. For titles and order coupons, refer to the appropriate issue of “Civil Engineering” or write for a 
cumulative price list. 


VOLUME 79 (1953) 


SEPTEMBER: 260(AT), 261(EM), 262(SM), 263(ST), 264(WW), 265(ST), 266(ST), 267(SA), 268(CO), 269(CO), 270(CO), 271(SU), 
272(SA), 273(PO), 274(HY), 275(WW), 276(HW), 277(SU), 278(SU), 279(SA), 280(IR), 281(EM), 282(SU), 283(SA), 284(SU), 
285(CP), 286(EM), 287(EM), 288(SA), 289(CO). 


OCTOBER:” 290(all Divs), 291(ST)*, 292(EM)*, 293(ST)®, 294(PO)®, 295(HY)*, 296(EM)®, 297(HY)*, 298(ST)*, 299(EM)®, 
300(EM)*, 301(SA), 302(SA)*, 303(SA)*, 304(CO)®, 305(SU)*, 306(ST)*, 307(SA)*, 308(PO)*, 309(SA)*, 310(SA)*, 311(SM)@, 
312(SA)*, 313(ST)®, 314(SA)*, 315(SM)*, 316(AT), 317(AT), 318(WW), 319(IR), 320(HW). 


NOVEMBER: 321(ST), 322(ST), 323(SM), 324(SM), 325(SM), 326(SM), 327(SM), 328(SM), 329(HW), 330(EM)*, 331(EM)*, 
332(EM)*, 333(EM)°, 334(EM), 335(SA), 336(SA), 337(SA), 338(SA), 339(SA), 340(SA), 341(SA), 342(CO), 343(ST), 344(ST), 
345(ST), 346(IR), 347(IR), 348(CO), 349(ST), 350(HW), 351(HW), 352(SA), 353(SU), 354(HY), 355(PO), 356(CO), 357(HW), 
358(HY). 


DECEMBER: 359(AT), 360(SM), 361(HY), 362(HY), 363(SM), 364(HY), 365(HY), 366(HY), 367(SU)°, 368(WW)°, 369(IR), 
370(AT)©, 371(SM)°, 372(CO)°, 373(ST)°, 374(EM)°, 375(EM), 376(EM), 377(SA)°, 378(PO)°. 


VOLUME 80 (1954) 


JANUARY: 379(SM)°, 380(HY), 381(HY), 382(HY), 383(HY), 384(HY)°, 385(SM), 386(SM), 387(EM), 388(SA), 389(SU)°, 390(HY), 
391(IR)©, 392(SA), 393(SU), 394(AT), 395(SA)°, 396(EM)°, 397(ST)°. 


FEBRUARY: 398(IR)4, 399(SA)4, 400(CO)4, 401(SM)°, 402(AT)4, 403(AT)4, 404(IR)4 405(PO)4, 406(AT)4, 407(sU)4, 408(su)4, 
409(Ww)4, 410(AT)9, 411(SA)¢, 412(PO)4, 413(HY)¢. 


MARCH: 414(ww)4, 415(sU)4, 416(sM)9, 417(SM)4, 418(AT)4, 419(SA)4, 420(SA)4, 421(AT)4, 422(SA)4, 423(CP)4, 424(AT)4, 
425(SM)4, 426(IR)4, 427(ww)4. 


APRIL: 428(HY)°, 429(EM)°, 430(ST), 431(HY), 432(HY), 433(HY), 434(ST). 
MAY: 435(SM), 436(CP)°, 437(HY)°, 438(HY), 439(HY), 440(ST), 441(ST), 442(SA), 443(SA). 


JUNE: 444(SM)®, 445(SM)®, 446(ST)®, 447(ST)®, 448(ST)®, 449(ST)®, 450(ST)®, 451(ST)®, 452(SA)®, 453(SA)®, 454(SA)®, 
455(SA)®, 456(SM)®. 


JULY: 457(AT), 458(AT), 459(AT)©, 460(IR), 461(IR), 462(IR), 463(IR)©, 464(PO), 465(PO)°. 


AUGUST: 466(HY), 467(HY), 468(ST), 469(ST), 470(ST), 471(SA), 472(SA), 473(SA), 474(SA), 475(SM), 476(SM), 477(SM), 
478(SM)°, 479(HY)°, 480(ST)°, 481(SA)°, 482(HY), 483(HY). 


SEPTEMBER: 484(ST), 485(ST), 486(ST), 487(CP)°, 488(ST)°, 489(HY), 490(HY), 491(HY)°, 492(SA), 493(SA), 494(SA), 
495(SA), 496(SA), 497(SA), 498(SA), 499(HW), 500(HW), 501(HW)°, 502(WW), 503(WW), 504(WW)°, 505(CO), 506(CO)<, 
507(CP), 508(CP), 509(CP), 510(CP), 511(CP). 


a. Presented at the New York (N.Y.) Convention of the Society in October, 1953. 

b. Beginning with “Proceedings-Separate No. 290,” published in October, 1953, an automatic distribution of papers was in- 
augurated, as outlined in “Civil Engineering,” June, 1953, page 66. 

c. Discussion of several papers, grouped by Divisions. 

d. Presented at the Atlanta (Ga.) Convention of the Society in February, 1954. 

e. Presented at the Atlantic City (N.J.) Convention in June, 1954. 
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